The new Italian building code, published in 2018 [MIT in NTC 2018: D.M. del Ministero delle Infrastrutture e dei trasporti del 17/01/2018. Aggiornamento delle Norme Tecniche per le Costruzioni (in Italian), 2018], explicitly refers to the Italian "Guidelines for the assessment and mitigation of the seismic risk of the cultural heritage" [PCM in DPCM 2011: Direttiva del Presidente del Consiglio dei Ministri per valutazione e riduzione del rischio sismico del patrimonio culturale con riferimento alle norme tecniche per le costruzioni, G.U. n. 47 (in Italian ) , 2011] as a reliable source of guidance that can be employed for the vulnerability assessment of heritage buildings under seismic loads. According to these guidelines, three evaluation levels are introduced to analyse and assess the seismic capacity of historic masonry structures, namely: (1) simplified global static analyses; (2) kinematic analyses based on local collapse mechanisms, (3) detailed global analyses. Because of the complexity and the large variety of existing masonry typologies, which makes it particularly problematic to adopt a unique procedure for all existing structures, the guidelines provide different simplified analysis approaches for different structural configurations, e.g. churches, palaces, towers. Among the existing typologies of masonry structures there considered, this work aims to deepen validity, effectiveness and scope of application of the Italian guidelines with respect to heritage masonry towers. The three evaluation levels proposed by the guidelines are here compared by discussing the seismic risk assessment of a representative masonry tower: the Cugnanesi tower located in San Gimignano (Italy). The results show that global failure modes due to local stress concentrations cannot be identified if only simplified static and kinematic analyses are performed. Detailed global analyses are in fact generally needed for a reliable prediction of the seismic performance of such structures.
Introduction
The seismic performance assessment of monumental buildings plays a key role in the maintenance and safety of the architectural heritage, allowing to design and programme appropriate preservation strategies. Recent seismic events in Central Italy (Abruzzo, L'Aquila 2009 , Emilia Romagna 2012 , Lazio, Umbria and Marche 2016 once again demonstrated the high vulnerability of heritage structures: churches, palaces and towers. The damage caused by earthquakes on these buildings leads to important losses of the architectural heritage of the regions, resulting in a loss of revenue from cultural tourism, with serious consequences for the local community social and economic recovery. From a social point of view, the preservation of cultural heritage contributes to consolidating a collective memory and a European identity (Delanty and Jones 2002) . On the other hand, in contexts where tourism represents a major industry, accessibility to architectural heritage significantly contributes to the community's economy and development (Bowitz and Ibenholt 2009; Fioravanti and Mecca 2011) . For these reasons, the safety and functionality of historic buildings and infrastructure strongly affect the quality of life of people (Brandonisio et al. 2013) . This is particularly pronounced in South Europe, where a great part of the territory is characterized by high density of historic and monumental buildings exposed to high level of seismic hazard .
The reference Italian document for the preservation of cultural heritage are the "Guidelines for the assessment and mitigation of the seismic risk of the cultural heritage" (PCM 2011) . The aim of these guidelines is to provide a framework for the structural analysis and retrofitting tailored to the specific features and needs of heritage structures. The reference European standard for the assessment of structures for earthquake resistance is the Eurocode 8 Part 3 (CEN 2005) , which advocates the adoption of a performance-based seismic assessment approach. However, structural interventions on historic structures should also comply with recognised conservation principles. A widely accepted set of conservation criteria is included in the ICOMOS/ISCARSAH Recommendations for the analysis and Restoration of Structures of Architectural Heritage (ICOMOS/Iscarsah 2005) , and in the Annex on Heritage Structures of ISO/FDIS 13822 (ISO 2010) . Such principles include the concepts of: (1) minimal intervention, (2) compatibility and reversibility of repair, (3) structural authenticity, (4) structural reliability, and (5) strengthening compatibility, durability, reversibility and monitorability-see D'Ayala (2014) for a comprehensive discussion of these concepts. Nevertheless, such criteria do not have the same legal value of a seismic standard. Hence, they should be regarded as guidelines to preserve the architectural and cultural value of heritage structures. The Italian Guidelines (PCM 2011) (referred to as IG in the rest of the manuscript) incorporate this principles within the performance-based approach outlined by the Italian building code issued in 2008 (MIT 2008) for the implementation of the Eurocode at national level. The latest version of the Italian building code (MIT 2018) confirms this approach and recommends the use of the IG, thereby encouraging the adoption of the above-mentioned conservation principles.
The analysis method proposed by the Italian guidelines (PCM 2011) develops within three different evaluation levels, herein denoted as Evaluation Level 1 (EL1), Evaluation Level 2 (EL2) and Evaluation Level 3 (EL3). These evaluation levels are characterized by increasing degrees of complexity. The first level of analysis, EL1, requires evaluating the collapse acceleration of the structure by means of simplified models based on a limited number of geometrical and mechanical parameters and mainly qualitative visual inspections. The second level, EL2, is based on a kinematic approach with the objective of verifying the possible activation of collapse mechanisms involving one or more portions of the structure defined as macro-elements. The identification of proper macro-elements is based on the knowledge level of the structural details of the building such as construction technique, connections between the loadbearing elements and any existing crack pattern. Finally, the last evaluation level, EL3, consists of a global analysis of the whole building under seismic loading by means of proper numerical methods, such as the finite element techniques.
Among the different typologies of historic structures, masonry towers are recognized to be one of the most vulnerable with regard to seismic events (Milani et al. 2012; Casolo et al. 2013) . This is because, due to their geometry, they usually present high compressive vertical stresses induced by gravity loads, often close to the compressive strength of the material. In addition, in case of seismic events, their slenderness may lead to significant flexural loads and lateral drift, which, together with the self-weight load, could cause local damage or global collapses. A notable recent example of masonry tower behaviour under seismic loading is represented by the collapse of the Clock Tower in Finale Emilia after the May 2012 Emilia Romagna earthquake sequence (Acito et al. 2014 ). An equally strikingly example is the survival of the Civic Tower in Amatrice to three main shocks of the Central Italy 2016 sequence, until it finally suffered collapse of the upper portion in the event of January 2017 (Stewart et al. 2016; D'Ayala et al. 2017; Poiani et al. 2018; D'Ayala 2019) .
Due to these reasons, over the last decade there has been an increasing interest in developing and validating tools and techniques aimed to assess the structural behaviour of masonry towers under seismic loads. Existing studies investigating the global behaviour of masonry towers range from simplified linear static analyses (Bartoli et al. 2006; Sarhosis et al. 2018) , modal analyses (Valente and Milani 2016a) , nonlinear static push over analyses (D'Ambrisi et al. 2012; Casolo et al. 2013; Valente and Milani 2016a, b; Milani et al. 2017; Sarhosis et al. 2018 ) and fully nonlinear dynamic analyses (D'Ambrisi et al. 2012; Milani et al. 2012; Casolo et al. 2013; Valente and Milani 2016b) . In addition, a number of studies have focussed on studying the out-of-plane failure mechanisms for this specific structural typology, to verify their ability in attaining a global behaviour (Bartoli et al. 2016; Ceroni et al. 2009 ). To undertake such analyses the characterisation of the mechanical properties of the materials is needed. A number of studies have employed either in situ non-destructive or semi-destructive tests (e.g. flat-jack tests, dynamic tests, sonic pulse velocity tests, etc.) or laboratory tests on cored samples of historic material (Bartoli et al. 2013; Gentile and Saisi 2007; Ivorra et al. 2009; Pieraccini et al. 2014; Russo et al. 2010 ). In addition, as masonry tower are a widely common structural typology, the IG (PCM 2011) devote a specific chapter to the assessment of their seismic risk. This chapter reflects the current state-of-the-art and provides a general framework to be employed for seismic performance assessment of masonry towers.
The aim of the present paper is hence to deepen the understanding of the validity and scope of the IG, and this goal is accomplished by discussing the lessons learned through the analysis of an illustrative case study: the Cugnanesi tower. The tower is located in San Gimignano (Italy), a small medieval town halfway between Florence and Siena, famous for its well-preserved historic towers which define its skyline, whose historic centre is a UNESCO World Heritage Site (UNESCO 2018) . Because of the historic and cultural significance of the various medieval towers located in San Gimignano, a multidisciplinary research project, named RiSEM (Italian acronym for "Seismic Risk of Historic Buildings"), was funded by Tuscany Regional Government (Regione Toscana) with the aim of developing new investigation techniques for the seismic performance assessment of heritage buildings. The whole project was developed by a consortium which included two Italian Universities (University of Florence and University of Siena) through four Departments from different scientific areas . Given its complex setting, with surrounding buildings, the Cugnanesi tower represents a comprehensive reference case for the critical discussion of the framework set up by the IG. Indeed, even if the scientific literature has produced robust approaches for the systematic seismic assessment of masonry towers, the proper evaluation of the effects of the interaction between the tower and its connected lower structures, when the tower is not an isolated structure, is still an open question (Bartoli et al. 2019) .
The present work is articulated in four main parts. In Sect. 2, a presentation of seismicity of San Gimignano and of the available geometrical, mechanical and dynamic data of the Cugnanesi tower is given. Sections 3, 4 and 5 assess the seismic performance of the tower following the evaluation levels EL1, EL2 and EL3 defined by the IG, respectively. First, the effects of the interaction between tower and adjacent buildings is analysed by performing EL1 analyses. Then, a wide range of local collapse mechanisms are explored to offer guidance on the most likely failure modes (EL2). Finally, the paper investigates the effects of adjacent buildings, soil, and multileaf walls modelling methods on the global seismic performance predicted numerically (EL3). The results obtained within the three evaluation levels are critically discussed and interpreted to understand the validity and scope of application of the IG to historic towers.
Data collection and elaboration

Seismic hazard
The Italian recommendation O.P.C.M. n. 3274 (PCM 2003) classifies Italy into four seismic zones, characterized by different seismic hazard levels. Zones 1-4 correspond to high, medium-high, medium-low, and low seismic hazard respectively. According to this zonation, San Gimignano falls is zone 3, thereby being subjected to medium-low seismic hazard. This zone is characterised by a Peak Ground Acceleration (PGA) in the range between 0.05 and 0.15 g for a 10% probability of exceedance in 50 years (return period of 475 years). A more refined method to define the seismic hazard of a given site was introduced in the Italian standard NTC 08 (MIT 2008) and confirmed by the NTC 2018 (MIT 2018) . This standard provides the parameters that describe the seismic hazard for a finite number of specific sites, referred to as nodes, in terms of: (i) maximum expected Peak Ground horizontal Acceleration (a g ); (2) maximum spectral amplification factor for reaching the plateau (F 0 ); and (3) cut-off period for beginning the constant velocity part of the spectrum (T* C ). The spectral shape (i.e. the elastic response spectrum on rigid ground with horizontal topographic surface) is hence defined through the triplet [a g , F 0 , T* C ] and is provided with respect to 9 return periods T R,SL between 30 and 2475 years, each of them characterized by a probability P VR of exceedance in the reference period V R . An interpolation method is defined that allows the seismic hazard parameters of any given site to be computed as a function of their values at the nearest nodes. According to this approach, a PGA a g = 0.141 g, a F 0 = 2.48 and a T* C = 0.276 s were obtained for San Gimignano for a return period of 475 years.
Geometric survey
Within the activities of the RiSEM project, a survey of all the towers of San Gimignano was performed combining direct surveys (Giorgi and Matracchi 2017) with topographic and laser scanning technique (Tucci and Bonora 2017) . The survey allowed to obtain detailed plans, sections and elevations maps for the Cugnanesi tower, among others. The tower, located in the heart of the city, is connected to adjacent masonry buildings on its North side (see Fig. 1 ) and has a total height of 42.8 m (see Fig. 2 ). The foundation of the Cugnanesi tower is a compact plinth having a square 7.6 × 7.6 m section and a height of about 5.4 m, outwardly faced by dressed stones. On the lateral surface of the base, to the North side, a little hole has been dug in correspondence to an adjacent commercial activity (Fig. 2) . The hole allowed to visually detect that the inner part of the plinth is composed of well compacted conglomerate made of lime mortar and medium and small size stones. Above the base block, four lateral load-bearing walls develop, whose thickness gradually decreases from about 2.4 m at the base to 1.9 m at the top of the tower. A visual analysis of the tiny cavities of the walls reveals their multi-leaf structure. Specifically, the walls are composed of: (1) an internal core of heterogeneous stone blocks tied by quality mortar components; (2) two external limestone masonry layers. However, it was not possible to investigate the thickness of the layers of the multi-leaf walls. Along the inner cavity of the tower there are seven light timber floors, whose influence on the global structural behaviour is considered negligible. The top floor of the tower is made of a concrete slab supported by a masonry barrel vault. It is worth noting that all the tower structural elements appear to be in a good state of conservation: no crack pattern has been visually detected on the structure. 
Mechanical parameters
Given the heritage value of the tower, semi-destructive tests on its materials, such as flatjack test or extraction of cored samples, are not allowed. Hence the mechanical properties used for the simplified static analyses are chosen according to the Italian Recommendations (MIT 2009 ). This choice is aligned to the main goals of the RiSEM project, which aims to develop, and validate, investigation techniques not involving direct contact with masonry structures. In particular, two reference multi-leaf masonry types were selected: Uncut Stone Masonry (USM) with thick and low-quality inner core and Dressed Rectangular Stone masonry (DRS), corresponding to the worse and best performing materials specified in MIT (2009). Those two masonry types, similar to those visually detected in situ through a morphological analysis, were assumed as lower and upper bounds for the masonry elastic and strength parameters, to be employed in the analyses.
As a limited level of knowledge of the structure is reached, NTC-08 (MIT 2008) recommends that the minimum value of the range for the strength parameters (average compressive strength f m and average shear strength τ 0 ) provided in (MIT 2009) be adopted. Moreover the mean value of the range for the average elastic modulus E provided in (MIT 2009) is adopted. A correction factor equal to 0.80 is applied to the mechanical parameters of the USM material model, in order to account for the reduction of the global performances of the multi-leaf walls in the case of thick inner core. The resulting mechanical characteristics of both USM and DRS materials are listed in Table 1 . These are used for the EL1 assessment procedures.
For the non-linear static numerical analyses of EL3, the elastic properties of masonry (E and G) are derived from a tailored assessment based on a dynamic identification, while the values of non-linear parameters of the numerical models are chosen in light of a critical study of values experimentally obtained by other authors for similar masonry types (Bartoli et al. 2013 (Bartoli et al. , 2019 . This choice is dictated by the fact that the visual investigation of the masonry, together with the comparison with the parameters experimentally determined for the nearby Torre Grossa (Bartoli et al. 2013) , suggested the use of strength parameters values higher than MIT (2009) . A detailed description of the adopted material models and procedures for determining the mechanical parameters is provided in the next sections.
Dynamic identification
The dynamic properties of the tower are determined by ambient vibration testing (Gentile and Saisi 2007; Clementi et al. 2017 ) performed through the interferometric radar technique (Atzeni et al. 2010; Fratini et al. 2011; Pieraccini et al. 2017) . The operating principle of the radar sensors is to exploit the phase information of the electromagnetic waves echoed by the detected targets to obtain the local displacement. If the sampling time is short enough to follow the movements of a structure, the vibration of the latter is detected as a phase rotation of the received radar signal. The instrument is equipped with two transmit-receive horn antennas and operates at microwave frequencies, according to the continuous-wave step-frequency (CWSF) technique (Pieraccini et al. 2006) . Suitable processing of the acquired data provides a mono-dimensional range image of the scenario of interest: the motion of a target, producing a displacement along the radar-target axis, causes a proportional phase shift of the backscattered wave (Pieraccini et al. 2006) . The phase shift of the waves reflected before and after the target motion allows to obtain a monodimensional map of the displacements in the line of view.
The portable interferometric sensor used was installed on a tripod and powered by a battery pack. It radiates signals at 16.75 GHz center frequency with approximately 400 MHz bandwidth, thus providing 0.37-m range resolution, and is controlled via a USB port on a common notebook. Design specifications on signal accuracy and stability make the instrument suitable for measuring displacements with a minimum accuracy of 0.1 mm. The use of high-speed electronics enabled an acquisition rate of up to 100 images per second. The results obtained for the Cugnanesi tower, in terms of main mode shapes and frequencies, are reported in Table 2 (Pieraccini 2017) .
Seismic risk assessment by EL1 approach
The seismic risk assessment performed by using the first evaluation level EL1, as proposed by the IG (PCM 2011), allows analysing the global seismic performance of the structure by means of a simplified approach involving a limited knowledge of the geometrical and mechanical parameters. This type of analysis represents a useful tool for the seismic performance assessments at a territorial level (Novelli et al. 2015) . This is because it allows to: Table 1 Assumed mechanical properties of masonry USM (uncut stone masonry with low quality inner core); DRS (dressed rectangular stone masonry). f m = average compressive strength of masonry; τ 0 = average shear strength of masonry; E = average value of the normal elastic modulus; W = average specific weight of the masonry. Properties of the USM material model obtained by applying a correction factor equal to 0.80, according to MIT (2008) Limit scheme f m (N/mm 2 ) τ 0 (N/mm 2 ) E (N/mm 2 ) W (kN/m 3 ) USM (1) expeditiously evaluate performance among different structures and establish ranking;
(2) identify the need for subsequent in-depth investigations with a refined approach; (3) plan actions to mitigate seismic risk at territorial-scale. Based on this simplified approach, the tower is modelled as a simple masonry cantilever beam subject to its self-weight and to a system of horizontal static forces whose magnitude grows linearly with the height (representing the distribution of lateral acceleration associated to the approximated first bending mode shape). The collapse is assumed to occur when the compressive stresses reach the compressive strength of the material, according to a rocking-flexural failure mode (Acito et al. 2014; Bartoli et al. 2016) . It is hence implicitly assumed that shear failure modes will not occur before the compression failure. This assumption is realistic in tall towers where the shear strength is increased by the gravity loads. According to the simplified approach proposed by the IG (PCM 2011), the acting bending moment M di (the seismic demand) is evaluated by assuming a linear distribution of horizontal static forces along the height of the tower (Fig. 3 ). The resultant seismic shear force F h , for each horizontal direction in which the structure is analysed, is calculated as a function of (1) the fundamental period of vibration of the building in the direction considered and (2) the ordinate of the elastic response spectrum, which in turn depends on the considered seismic return period T R . The fundamental period T 1 of the tower, hence, plays a pivotal role.
Given the changes in the wall fabric and thickness along the height of the Cugnanesi tower, this is modelled as a continuous beam composed by a series of superposed elements having uniform cross section along their length. To define the location of the interface between two adjacent uniform elements, the following critical levels were identified: Hence, taking into account the tower geometry, the structure is discretised in 12 uniform blocks, whose horizontal sections are represented in Fig. 4 .
In addition, the interaction between the tower and the adjacent buildings is approached by analysing cantilever models restrained at different heights (as illustrated in Fig. 3 ): • Model A (H = 42.80 m): the tower is analysed as an isolated construction, i.e. without considering the presence of the neighbouring buildings-it is implicitly assumed that the constraint offered by the adjacent building is ineffective. • Model B (H = 27.80 m) assumes the tower as effectively constrained by the adjacent buildings, therefore considering as cantilevering beam the portion of it that emerges from the surrounding buildings, with reference to the height of the west wall of the adjacent building. • Model C (H = 26.10 m), similarly to the previous model, assumes that the tower is effectively constrained by the adjacent buildings, but only the portion of tower which develops above the North wall of the adjacent building is modelled. • Model AB (H = 40.55 m) is obtained by enforcing that its resulting fundamental period coincides with the one experimentally measured. This period is computed as a function of the height, using empirical formulae, and hence the specific height considered.
A seismic risk assessment is carried out for each of the above models, and for different load directions (see Figs. 3, 5) , with the objective of establishing the upper and lower bounds of response, constraining the actual seismic behaviour of the tower, and assessing the most vulnerable configuration. The seismic safety of the structure is evaluated by comparing at the base of each uniform block the acting bending moment (seismic demand) and the resisting one (seismic capacity). In order to perform this safety check the fundamental period of the structure needs to be established to determine the demand.
A certain number of empirical formulas are proposed in the literature to estimate the fundamental period of historic masonry towers in operational condition, mainly as a function of their height. These include: correlations for ordinary masonry buildings reported in the Italian (MIT 2008) and Spanish (MDF 2009) seismic codes; a correlation for masonry bell-towers suggested by Faccio et al. (2011) ; and a formula for masonry towers proposed by Rainieri and Fabbrocino (2011) . Rainieri and Fabbrocino (2011) compared the predictive performance of their above-mentioned correlation against a database of dynamic where H is the height of the tower. Equation (1) is also used in its inverse formulation to determine the height of the equivalent model AB, by inputting the operational vibration period evaluated with the dynamic identification (T 1,SLE = 0.763 s). As shown in Table 3 , an ideal height of 40.55 m is obtained for the equivalent model AB.
As suggested by NTC-08 (MIT 2008) in case of Life Safety limit state analysis, the operational fundamental period is multiplied by a factor of 1.4 to take into account softening phenomena due to the increasing damage levels induced by the seismic loads. Table 3 summarises the calculated elastic and Life Safety Limit State fundamental periods [the Life Safety Limit State is herein referred to as SLV, acronym of "Stato Limite di salvaguardia della Vita umana", as per definition in NTC-08 (MIT 2008)]. Table 3 shows the variability of the Safety Limit State response spectrum ordinates for the fundamental periods of the models A, AB, B and C (for a seismic action directed toward North and material DRS). Specifically it can be seen that for a Safety Limit State fundamental period T 1,SLV in the range 1.134 s to 0.659 s, the obtained Safety Limit State response spectrum ordinate S e,SLV,i (T 1 ) ranges between 2.40 and 4.03 m/s 2 .
The ultimate resisting bending moment M ui at the base of the i-th block, under the hypothesis that the compressive stress does not exceed 0.85·f d (with f d denoting the design compressive strength) is computed as follows:
where a i e b i denote the transversal and longitudinal dimensions of the i-th block with respect to the seismic load direction, respectively; A i is the cross sectional area (cleared of openings), σ 0i = W i /A i is the average compressive stress due to the gravity loads, and W i is the weight of the portion of the tower above the cross section of interest.
To account for all the uncertainties affecting the model of the analysed structure in terms of geometry, constructive details and material properties, MIT (2009) recommends reducing the obtained M ui by an appropriate confidence factor F C . As a function of the accuracy of the geometric survey of the structure, of the number of in-situ checks of constructive details and material properties, three different knowledge levels KL1, KL 2 and KL 3 are defined by MIT (2009), corresponding to different values of F C . In the present case, where the lowest KL1 is met, a confidence factor F C = 1.35 is assumed. The distribution of M di (demand), M ui (capacity) and M ui /F C (reduced capacity) along the height of each model for the most critical scenario (USM material model and seismic load applied in the North direction) is shown in Fig. 6 . The ultimate bending moment capacity M ui is always greater than the moment demand M di . However, in some sections the moment demand exceeds the reduced bending moment capacity M ui /F C . Figure 6 also shows that the most vulnerable models are, predictably, the ones having a greater free height. In particular, the sections which fail first, for growing seismic forces, are the ones located at the base of the tower, i.e. Sects. 1 and 2. This is because their moment of inertia is significantly affected by the presence of opening and holes in the masonry walls, therefore making them geometrically weaker than the others (see the cross section of blocks 1 and 3 in Fig. 4) .
To compare the seismic performance of the different models it is useful to quantify the safety level of the structure in term of safety index I S,SLV and acceleration factor f a,SLV . These two indexes are computed by considering the return period T SLV of the seismic action corresponding to SLV. T SLV is here determined as the return period that determines a spectral ordinate S e (T 1 ) such that the weakest cross section of the structure would meet the SLV threshold. S e (T 1 ) is computed as shown in Eq. (3): where F C is the confidence factor, introduced to reduce the ultimate bending moment capacity M ui to account for the limited knowledge on the basis of which the calculation are carried out (MIT 2009).
One of the key objectives of the IG (PCM 2011) with the introduction of the EL1 approach is to set-up a framework for the identification of the seismic vulnerability at a territorial scale. In this context, the concept of seismic safety index, defined as the ratio between the return period of the collapse seismic action and the return period of the expected seismic action for the SLV, is introduced. This index is hence introduced as a Table 4 shows the spectral accelerations obtained for the model A, considering the DRS material model. In this scenario, the minimum response spectrum ordinate corresponding to a section failure is S e,SLV,MIN (T 1 ) = 0.244 g. For this value, in case of North-bound seismic action, the base section of Model A reaches the Life Safety limit state. Once the ordinate of the elastic response spectrum, corresponding to the Life Safety limit state is obtained, the return period of the life safety seismic action T SLV can be computed by means of an iterative method. Such a numerical procedure is based on a linear interpolation that employs the data reported in the Appendix of the Italian building code (MIT 2008)-where for each point of the topographic network the values of the triplet [a g , F 0 , T* C ] are reported for increasing return periods from 30 to 2475 years.
The seismic safety index I S,SLV is evaluated as follows:
where T R,SLV = 475 years, return period for which the SLV should be satisfied. The values obtained for the seismic safety index are listed in Table 5 . In addition, the PGA a SLV relative to the Life Safety limit state can be obtained as a function of the response spectrum ordinate S e,SLV for each model, by inverting the elastic response spectrum formulas, as follows:
This allows in turn to compute the second safety index, the acceleration factor f a,SLV :
(4) where a g,SLV = 0.141 g is the reference ground acceleration for a return period of 475 years, corresponding to the Life Safety limit state. The acceleration factor f a,SLV has the advantage of giving a quantitative measure of the ratio between seismic capacity and demand. Table 5 shows that, in case of DRS material, all models exhibit seismic safety index and acceleration factor greater than 1. On the other hand, in case of material USM, factors slightly lower than 1 were obtained for models A and AB. This is because, by employing the USM material (Table 1) , conservative hypothesis on the material properties are made. Indeed, a visual examination of the structure and the analysis of the material properties experimentally obtained by other authors for similar towers, suggest that the mechanical properties proposed by MIT (2009) are significantly worse than the actual properties of the masonry under investigation. This could be explained by the fact the properties suggested by the IG refer to materials of ordinary buildings, which generally present worse mechanical properties than the materials used for non-ordinary, high-rise masonry structures such as historic masonry towers.
Seismic risk assessment by EL2 approach
The evaluation level EL2 proposed by the IG consists of the assessment by kinematic analysis of seismic performance in relation to the activation of local collapse mechanisms, i.e. failure modes involving macro-elements (structurally independent parts of the building (PCM 2011). In this approach, a number of plausible collapse mechanisms are considered. The structure is modelled as a series of rigid macro-elements having unlimited compressive strength, whose interfaces are characterized by the absence of tensile strength. These assumptions lead to the development of kinematic chains whereby hinges form among the rigid blocks. The horizontal acceleration 0 needed to activate each mechanism is evaluated by applying the upper bound theorem of kinematic analysis and the horizontal acceleration at collapse of the structure is associated with the failure mechanisms exhibiting the lowest collapse multiplier.
In the assessment of masonry towers, a major advantage of the EL2 over the EL1 approach is the ability to account for a variety of collapse modes other than flexural failure at the base of the tower (Milani 2019) . However, kinematic analyses must be interpreted with caution due their intrinsic limitations (Chiozzi et al. 2018) . First, the assumption of no-tension material with unlimited compression strength represents a strong simplification (6) f a,SLV = a SLV a g,SLV of the actual behaviour of masonry. Indeed, the collapse load of a structure can be influenced by peculiar characteristics of the material, such as orthotropic behaviour, limited compressive strength and shear-normal stress interaction ), which are not captured by a no-tension rigid material model. Furthermore, real geometry and loading conditions often need to be approximated to define reasonably simple kinematic models. In this case, the assessment is directly influenced by the assumptions made in the modelling phase. Finally, the study of an arbitrary set of pre-defined collapse mechanism can generally lead to inaccurate estimations of the load carrying capacity of a structure. If the mechanism associated with the lowest collapse multiplier is overlooked, an upper bound of the actual collapse load can be obtained and the load carrying capacity of the structure can be overestimated. On the other hand, if significant interlocking exists between perpendicular walls, the assumption of no-tension behaviour at the corners might lead to unrealistic mechanisms and, consequently, over conservative results. Hence, appropriate mechanisms should be selected based on the knowledge of the structure. Due to the uncertainties on structural interaction between the Cugnanesi tower and the adjacent buildings and efficiency of the connection between perpendicular walls, a wide range of potential failure mechanisms were here considered corresponding to different assumptions (Fig. 7) . This strategy allows to obtain and to rank them in terms of seismic performance, on the basis of the acceleration factor f a,SLV and seismic vulnerability index I s,SLV obtained for each.
As shown in Fig. 7 , four main types of out-of-plane mechanisms are considered following schemes, assumption and nomenclature introduced by D'Ayala and Speranza (2003):
• Type A: simple overturning as a rigid body. These failure mechanisms consist in the overturning of single façades or portions of them. The assumption is made of ineffective connections of the overturning walls to the perpendicular ones. • Type B: combined overturning as a rigid body. These failure mechanisms involve the overturning of the façades as well as portion of perpendicular walls. In this case, effective connections between perpendicular walls are assumed. In addition, three different hypotheses on the inclination of the fracture surface, corresponding to different shear strength parameters of the masonry, were chosen: 15°, 22.5° and 30° angles, corresponding to increasing friction coefficient. • Type C: overturning of the corner sections. These failure mechanisms involve the overturning of the top corners of the structure. Similarly to the previous one, this mechanism is associated with an efficient connection between perpendicular walls. The same three different hypotheses on the inclination of the fracture surface made for the composite overturning mechanisms were considered. • Type D: vertical flexural mechanism. This failure mechanism activates when the walls are fixed at the base and at the top of the building, so that a simple out-of-plane overturning of the façade is prevented. This generates an arch or beam behaviour with a horizontal hinge forming along the height of the wall.
According to MIT (2009) , in the context of kinematic analysis the SLV checks are carried out by comparing, for each mechanism, the activating acceleration α 0 *, which represents the capacity of the structure, with the maximum expected acceleration for the structure α exp,SLV , which represents the demand:
If the overturning portion lies directly on the foundation (see Fig. 8a) • a g,SLV is the reference peak ground acceleration for a return period of 475 years, corresponding to the Life Safety limit state. • S is a correction factor that accounts for soil type and topographic conditions, calculated according to NTC 2008. • q is the reduction factor equal to 2 according to MIT (2009) , accounting for the ability of the system to dissipate energy.
If, on the other hand, the overturning portion is located above the foundation (see Fig. 8b ), the following expression is considered to account for the potential amplifications in acceleration due to the response of the structure: where • S e,SLV T 1 is the elastic spectrum ordinate corresponding to SLV, evaluated for the fundamental period T 1 of the structure. • z is the height of the block base with respect to the foundation. • (z) = z H represents the linear distribution of acceleration with height, which approximates the first mode of vibration of the building. • = 3N 2N+1 represents the modal participation coefficient, where N is the number of levels of the structure. It is worth noting that this simplified formula is meant for structures that can be modelled with lamped masses located at the level of the floor structures connected by beam elements. Thus, the formula is valid for building structures whose floor masses are significantly greater than the mass of the vertical structures. Since in the case of the Cugnanesi tower the vertical structure is much more massive than the floors, a coefficient N = 1 has been assumed. This leads to a modal participation coefficient = 1 and hence to the assumption that all the mass can be considered as activated by the first mode. In other words, it is assumed that the first mode is the only one that affects a exp,SLV significantly. This is coherent with the type of mechanisms studied. To evaluate the capacity acceleration α 0 *, for each mechanism, the acceleration α 0 , defined as the horizontal acceleration that activates the analysed failure mode, was evaluated. To obtain such multiplier, a work balance equation is used, expressed in terms of virtual works, according to the limit analysis upper bound theorem: where • W E,S is the external work done by seismic forces;
• W E,G is the external work done by gravity forces; • W I is the work done by internal forces. In the case of rigid bodies, such component is null as no elastic or post-elastic deformation takes place. • 0 is the horizontal acceleration which activates the analysed failure mode.
• n is the number of different blocks of the kinematic chain; • m is the number of internal floors; • m b,i is the mass of the generic block; • m f,i is the mass of the generic floor;
• δ x,i is the virtual horizontal displacement of the point of application of the i-th seismic force (see Fig. 9 ); • δ y.i is the virtual vertical displacement of the point of application of the i-th weightforce.
Finally, the acceleration α 0 can be used to compute the specific mechanism acceleration capacity α 0 * as follows:
where • m i is the mass of the generic block or floor; • F C is the confidence factor. The value of F C used for the EL1 (F C = 1.35) is also applied here as the same level of knowledge is used. • e * = M * ∕ ∑ n i=1 m i is the participating mass ratio of the considered mechanism. • M* is the participating mass for the considered mechanism, obtained as a function of the horizontal virtual displacements as follows:
(10)
Compliance with SLV is verified for each mechanism if the acceleration factor: According to Eq. (4), the seismic safety index I S evaluated as the ratio between the return period of the life-safety seismic action, T SLV , and the return period for which the SLV action should be satisfied T R,SLV . In the context of kinematic analyses T SLV is obtained as the return period of the seismic action that leads to an acceleration factor f a,SLV = 1. The results are collated in Table 6 and summarized in Fig. 10 .
Overall, it can be concluded that:
• The simple overturning mechanisms (Type A) are generally the most dangerous, while the vertical flexural mechanism (Type D) is the least dangerous. Combined overturning mechanisms (type B) and overturning of the corner sections (Type C) present intermediate seismic vulnerabilities. • In the case of overturning mechanisms, the higher is the location of the horizontal cylindrical hinge, the higher is the acceleration capacity α 0 * of the mechanisms. Table 6 shows that the only mechanism activated for the expected ultimate limit state acceleration is the mechanism A1, which represent the simple overturning of the entire South wall. For this failure mode, the ratio between acceleration capacity and acceleration demand is f a,SLV = 0.45. Since the geometries of the East, West and South facades are substantially the same, the most likely out-of-plane failure mechanisms are the simple overturning of these three walls. • However, these results must be interpreted with caution. This is because the assumption of completely ineffective connections between perpendicular walls, which determines simple overturning mechanisms (Type A), might represents a conservative hypothesis in the case of the Cugnanesi tower. In fact, the thickness of the walls, together with a visual inspection of the connections, and the lack of verti-(13) f a,SLV = a * 0 a exp,SLV > 1 cal cracks in these positions, suggests that the connection between vertical walls is quite robust. Hence, combined overturning mechanisms (Type B) and overturning of the corner sections (Type C) might represents more realistic failure modes and, consequently, provide more reliable seismic risk assessments.
Seismic risk assessment by EL3 approach
The evaluation level EL3 requires the assessment of the structure global seismic behaviour by means of global numerical models (PCM 2011). This assessment is here developed by performing non-linear static pushover analyses by means of non-linear Finite Element (FE) models of the Cugnanesi tower. First, two linear elastic FE models of the tower having dynamic properties corresponding to the experimentally estimated ones were built. The two models capture the global elastic behaviour of the tower by modelling its multi-leaf walls as homogenous and layered solids respectively. The models were built and calibrated through a series of parametric analyses described in detail in Sect. 5.1.
Then, two non-linear models were considered by assigning an elastic-plastic material behaviour to the most representative configuration identified upon dynamic characterization (Sect. 5.2). The non-linear models were employed to perform pushover analyses with the aim to assess: (1) the sensitivity of the solution to the multi-leaf walls modelling strategy; (2) the global seismic performances of the structure. The purpose of this study is to show the implication in terms of effort and information needed to perform a reliable analysis at level EL3, compared with the two previous approaches.
Dynamic characterization
In order to tune FE models of the tower having dynamic properties corresponding to the experimentally measured ones, a series of linear parametric FE analyses have been carried out by the commercially available code Autodesk Simulation Multiphysics (Autodesk 2013) . The masonry walls were discretised by eight-node isoparametric solid elements. The aims of these analyses were: • To define a convenient mesh size for the FE model of the tower. • To evaluate the sensitivity of the numerical dynamic behaviour of the structure with respect to the adjacent buildings modelling strategy. • To analyse the influence of the soil-structure interaction on the dynamic behaviour of the entire system. • To assess the elastic modulus of the tower and adjacent constructions. • To explicitly model the multi-leaf walls as composed of various layers of different materials.
The assumed parameters are: (1) geometry of the tower; and (2) elastic properties of the soil, while the parameters calibrated by means of the iterative process of identification are:
(1) elastic properties of the confining adjacent walls-lateral constraints; and (2) elastic properties of the tower.
Interaction between tower and adjacent buildings
With the aim of evaluating the sensitivity of the dynamic behaviour of the structure with respect to the adjacent buildings modelling strategy, three different numerical models were defined (Fig. 11 ):
• Model A: no adjacent building is modelled; hence, the tower is modelled as structurally independent. This model is analogous to Model A used for EL1, were the tower was assumed isolated (see Sect. 3). • Model B: the adjacent buildings are modelled as infinitely rigid in their plane; the in-plane translational degrees of freedom of the nodes located on the contact surface between the tower and the walls of the adjacent building are fixed. This assumption is analogous to that of effectively constraining adjacent buildings made in Models B and C of EL1 (see Sect. 3). Based on a set of preliminary mesh sensitivity studies, a maximum elements size of 0.8 m is assumed for both tower and adjacent walls. For all the models the base is supposed fixed, and the elastic parameters of the tower are assumed according to the DRS material (see Table 1 ).
Among these three models, model C was assumed to be the one which better reproduces the real confining effect due to the adjacent buildings. The results, expressed in terms of modal frequencies, are reported in Fig. 12 . Since the main frequency of the three models A, B and C ranges between 0.81 and 1.10 Hz, it is possible to conclude that the modelling strategy of the adjacent walls significantly influences the solution. It is also worth noting that the main frequencies of the three models are lower than the main frequency obtained through dynamic identification (Fig. 12) . Even Model B, despite its limit-case assumption of infinitely rigid adjacent walls, predicts considerably lower frequencies than the experimental measurements. This confirms that the actual stiffness of the masonry is greater than that obtained with the material model DRS, which is the stiffest masonry type defined by MIT (2009) (E = 2800 MPa). For this reason, the elastic modulus of the FE model is changed to match the natural period (Sect. 5.1.3). Prior to calibrating the elastic modulus of the tower, an elastic model of the soil is introduced based on the results of a borehole performed near the tower (Madiai et al. 2017 ). The reason for introducing an elastic model of the soil prior to calibration of the tower elastic modulus is the relatively large amount of information available on the elastic properties of the soil (Madiai et al. 2017) . In this way, the elastic properties of the soil are known, while the elastic modulus of the tower is varied to match the experimentally measured dynamic properties of the tower, including the effect of non-infinitely rigid soil and foundations.
Soil-structure interaction
To analyse the influence of the soil-structure interaction on the dynamic behaviour of the entire system, model C with explicitly modelled soil is used (see Fig. 13b ). To contain the number of elements to be used to model the soil, the profiles elastic parameters based on the results of a borehole performed close to the tower (Madiai et al. 2017 ) are discretized. This allows to model the soil as series of three-meters-deep-layers having uniform elastic properties and lying on top of each other (see Fig. 14) . A volume of soil having depth of about 45 m and horizontal width of about 55 m is modelled, these dimensions being comparable to the major dimension of the structure. The bottom and the lateral surfaces of the mass of soil are modelled as fixed. The comparison between the results obtained with and without soil reveals that the soil modelling strategy significantly influences the dynamic behaviour of the model. Indeed, a fundamental frequency of 0.97 Hz is obtained when the base of the model is assumed fixed, while a fundamental frequency of 0.93 Hz is computed if the soil is modelled explicitly (see Fig. 13 ).
Elastic modulus of tower and adjacent walls
A set of different models are defined, obtained starting from Model C, by only modifying the stiffness of the tower, with the simplified assumption of a single equivalent homogeneous elastic material through the thickness, disregarding the multi-leaves structure of the wall. A reference elastic modulus of E = 2800 MPa is considered, corresponding to the stiffness of the DRS material defined by the MIT2009. This value was then varied in the range from 2800 to 9000 MPa, while maintaining constant the value of the Poisson's ratio υ = 0.2. As shown by Fig. 15 , the model which best fits the experimental first frequencies is the one with E = 8000 MPa for the masonry. Therefore, this value was adopted for the following analyses.
The calibrated elastic parameters of soil and tower were then used to calibrate the equivalent elastic modulus of the adjacent walls. Figure 16 shows the value of the ratio between the first two natural frequencies as a function of the elastic modulus of the tower. Although the ratio between the first two frequencies is very close to the one obtained from experimental frequencies it is slightly underestimated by the numerical models.
(a)
Model C with fixed base (b) Model Fig. 13 Comparison between frequencies obtained with and without soil model Therefore, a new series of parametric analyses, focused on estimating effective values for the elastic modulus of the adjacent walls, is performed. Since it was observed that the first frequency mainly depends on the East-West adjacent wall stiffness while the second frequency mainly depends on the North-South wall stiffness, the stiffness of the N-S adjacent wall is tuned by looking for the elastic modulus capable of producing a frequency f 1y of 1.46 Hz (Fig. 17) . Similarly, once fixed the elastic modulus of the N-S adjacent wall, E NS = 3200 MPa, a sensitivity study is performed to find the elastic modulus of the East-West adjacent wall, E EW = 2600 MPa, which causes a natural frequency f 1x 1.31 Hz (Fig. 18 ). 
Multi-leaf walls modelling method
In a multi-leaf wall, the relative thickness and mechanical properties of the single layers directly affect the stress distribution and ultimate capacity of the overall structure. Hence, accurate modelling of their layered structure is generally needed for reliable structural assessment. A FE model of the tower capable of describing the multilayer configuration of the walls was also calibrated, to investigate the influence of the walls modelling strategy on the results of global ultimate state seismic analysis. The geometry of the multi-leaf structure of the walls was evaluated assuming the external stone layers and the internal filling material having the same elastic properties experimentally determined for the "Torre Grossa" tower (Bartoli et al. 2013 ) (Table 7) , a nearby tower in San Gimignano which Fig. 16 f 2 /f 1 ratio versus tower masonry stiffness presents constructive and materials characteristics similar to the tower here analysed. A sensitivity analysis was conducted to determine the influence of the relative thickness of the layers on the dynamic response of the tower (see Fig. 19 ). The elastic properties of external and internal layers were kept constant. The multi-leaf walls were modelled as a continuum, that is, perfect bond was assumed between the layers. As shown from Fig. 20 , Model 1 presents frequencies similar to the ones of Model 2, while Model 3 presents frequencies similar to the ones of Model 4. In other words, the dynamic behaviour of the tower does not significantly depend on the thickness of the internal stone layer but it mainly depends on the thickness of the external stone layer. Indeed, since the first two modal shapes are flexural, the stiffness of the tower mainly depends on the bending stiffness of its horizontal sections, which in turn is not significantly influenced by the thickness of the internal stone layer, but primarily depends on the thickness of the external stone layer. Since Model 4 is the one which best fit the experimental results, a thickness of 0.5 m was adopted for both internal and external stone layers. Ext. layer thickness = 0.50m Int. layer thickness = 0.50m 1 3
Pushover analyses
Once all relevant parameter in the elastic numerical model had been calibrated to optimise agreement with the dynamic identification natural frequencies values, a series of pushover analyses were performed to assess the global seismic performances of the structure and to evaluate the sensitivity of the solution with respect to the multi-leaf walls modelling strategy. Such analyses were carried out by using Ansys v.15 (Swanson Analysis Systems 2014).
The post elastic response of the masonry material was simulated by an elastic-perfectly plastic constitutive law with a Drucker-Prager failure criterion. In addition, to account for the masonry brittle tensile behaviour the Willam-Warnke failure cut-off surface was also considered (Betti et al. 2008 . Figure 21 shows a schematic representation of the adopted criteria on the principal plane 1 -2 . The combination of the Drucker-Prager plasticity model with the Willam-Warnke failure criterion allows for an elastic-brittle material behaviour in case of biaxial tensile stresses (segments 4-5 and 5-6 in Fig. 21) or biaxial tensile-compressive stresses with a relatively low compression level (segments 3-4 and 6-7). On the contrary, the material behaves as elastic-plastic in the case of biaxial tensile-compressive stresses with a relatively high compression level (segments 2-3 and 7-8 in Fig. 21 ) or biaxial compressive stresses (segments 1-2 and 8-9). Overall, the material behaves as an isotropic medium with plastic deformation, cracking and crushing capabilities. Both models have been extensively used in the scientific literature to model the postelastic behaviour of masonry (Cerioni et al. 1995; Betti et al. 2015a, b) . Due to the lack of experimental data on the materials, the DP and WW material parameters are selected in order to obtain the compressive and tensile strength experimentally measured for the nearby tower Torre Grossa (Bartoli et al. 2013) . All material parameters are summarised in Table 8 . For the elastic material parameters, the values calibrated within the dynamic identification reported in the previous section are adopted.
The soil is modelled as a series of elastic layers, as described in Sect. 5.1. The uncertainties about the interaction with the adjacent buildings are taken into consideration by defining two limit models of the structural system: an Isolated Model (IM) (see Fig. 22a ), to predict the behaviour of the tower in the case of collapse of the adjacent walls, analysed in North, South, West and East directions; a Complete Model (CM) where both the tower and the adjacent walls are modelled (see Fig. 22b ) to study the constrained offered by the adjacent walls. The hypothesis is that the constraint is only effective when the connection is in compression, hence only the seismic directions North and West have been considered for this model as shown in Fig. 22b . Moreover, the effect of the adopted multi-leaf wall modelling strategy on the results of pushover analyses is also evaluated by considering an equivalent homogenized model, and the multi-leaf walls configuration of Model 4 (see Fig. 19d ).
The pushover analyses are solved through a Newton-Raphson force-control numerical scheme (Swanson Analysis Systems 2014). The force-control scheme allows only the ascending branch of the pushover curve to be captured. Hence, the analyses stop at the limit point where extensive material damage leads to a null tangent matrix, thereby preventing numerical convergence.
The capacity curves obtained for these models with respect to different seismic load directions are reported in Fig. 23 . The figure shows that the choice of the walls layers modelling method has negligible influence on the performance of the structure, with the two models showing similar yielding points and post elastic behaviour. In light of this, the nonlinear analyses aimed at assessing the global seismic behaviour of the structures are performed by using the equivalent smeared models. The capacity curves obtained for each different analyses are reported in Fig. 24 . As expected, the Complete Model (CM) shows greater global stiffness and strength than the isolated one, and a slightly lower displacement capacity for westbound and northbound seismic actions. The Isolated Model (IM) exhibits relatively high displacement capacities in all the analysed directions, except for southbound seismic action. All the models exhibit a flexural failure mechanism. The premature collapse of the Isolated Model (IM) subjected to southbound seismic action is due to the development of high tensile vertical stresses in the North wall of the tower at a height of about 8.50 m from the ground level (see Fig. 25a ), where both the South and the West walls present openings (see block 5 in Fig. 4 ). Neither the simplified mechanical analyses (EL1) nor the mechanism approach (EL2) allowed this failure mode to be captured. Indeed, the simplified mechanical analyses according to EL1 predicted the base section of the tower to fail first. Similarly, this failure mode was not captured through mechanism analyses (EL2). In the case in Complete Model (CM), flexural failure occurs because of extensive damage of the sections around the upper bound of the lateral walls. As an example, Fig. 25b shows that in the case of Complete Model and westbound seismic action the highest tensile stresses develop in the East wall at a height of about 16.00 m. This is in line the adoption of the simplified mechanical models A and B considered within the EL1 (see Sect. 3), where the portion of the tower that emerges from the surrounding buildings was considered as a cantilever beam.
The results of the pushover analyses were then used to perform seismic safety check according to the N2 method, proposed by Fajfar and Gašperšič (1996) , extended to applications to historic buildings (D'Ayala and Ansal 2012; D'Ayala et al. 2015; Giordano et al. 2019) . The process consists of obtaining the appropriate inelastic response, i.e. the performance point (defined as point of intersection of an idealized bilinear SDOF capacity curve with the inelastic demand spectrum) for the given seismic action. First, each pushover curve was reduced to the response of an equivalent nonlinear SDOF system. The forces F * and the displacements d * of the equivalent SDOF system were obtained as:
where V and u are the forces and displacements of the MDOF FE model respectively, and is the modal participation factor (Fajfar and Gašperšič 1996) . Then, the idealized bilinear SDOF capacity curve is obtained with the stiffness k * of the elastic-plastic SDOF is determined as: where d u,col is the collapse capacity displacement, identified by the rightmost point of the SDOF capacity curve. For each case, the return period T SLV of the SLV seismic action is obtained as the return period that causes the demand displacement to equal the capacity displacement:
As an example, Fig. 28 illustrates the SDOF capacity curve of the isolated model subjected to seismic action directed towards South, the elastic and inelastic demand spectra corresponding to T R = 475 years and T SLV = 680 years, the corresponding SLV performance point, and the Collapse and SLV damage thresholds. The figure shows that, for this particular scenario, the SLV performance point check is satisfied: the capacity displacement is greater than the corresponding displacement demand.
For each considered condition, seismic safety index I S,SLV and acceleration factor f a,SLV are computed using Eqs. (4) and (6). In the context of the evaluation level EL3, I S,SLV and f a,SLV are obtained by assuming a confidence factor F C = 1, corresponding to a knowledge level KL3. This is because the numerical models adopted within the EL3 are built in light of accurate geometrical surveys, in-situ checks of constructive details and Overall, the performed Capacity Spectrum Method (CSM) checks and the obtained safety indexes reveal that the tower has good safety margins against ultimate limit state seismic events.
A cross-interpretation of the three evaluation levels EL1, EL2 and EL3 indicates that over conservative assessments are obtained with both EL1 and EL2 approaches, where a relatively low knowledge level of the structure (KL1) was assumed. A comparison between EL1 and EL3 (see Tables 5 and 9 respectively) shows that significantly lower safety margins are computed through EL1 analyses. That is, EL1 approach leads to conservative assessments. This is partly because the material strength suggested by the Italian Recommendations employed for EL1 analyses is substantially lower than the actual strength of the tower. Indeed, these recommendations are meant for ordinary masonry structures, such as modest height buildings, while masonry towers, such as the Cugnanesi, should be considered as monumental and highly engineered buildings for their time. If the compressive strength considered in EL3 ( f m = 8 MPa) were used in EL1, more comparable results would be obtained. Specifically, f a,SLV = 1.44 and I S = 3.47 would be obtained in EL1 for Model A subjected to seismic action directed toward North. Part of the difference between the predictions obtained by EL1 and EL3 can also be attributed to the fact that within EL1 the assumption of relatively low knowledge level of the structure (KL1) results in a confidence factors F C = 1.35, while the assumption of relatively high knowledge level of the structure (KL3) within EL3 leads to a confidence factor F C = 1.
Significantly conservative results are also obtained if only mechanism analyses (EL2) are carried out for individual façades (Model A, see Table 6 ). As with EL1 analyses, the safety margins computed within EL2 are influenced by the assumption of low knowledge level of the structure (KL1) that results in a confidence factors F C = 1.35. Furthermore, relatively low safety indices are obtained due to the assumption of zero tensile strength at the interfaces between different rigid blocks. Indeed, such assumption may lead to significantly conservative assessments in the case of structures with good masonry quality and mechanism involving relatively large contact surfaces between the assumed blocks. This is because the fracture energy required to generate a given contact surface grows with the quality of the material and with the area of the surface itself. It is worth noting that when efficient connections between perpendicular walls are considered (mechanisms type B and C), seismic safety indices comparable to those obtained within EL3 are computed. 
Concluding remarks
The paper discusses the seismic assessment methods proposed by the Italian Guidelines (PCM 2011) for the assessment and mitigation of the seismic risk of cultural heritage buildings. As a reference case, the illustrative medieval Cugnanesi tower located in San Gimignano (Italy) is investigated.
The following conclusions can be drawn from the present study:
• The seismic safety indexes (acceleration factor and seismic safety index) obtained with the analysis at the territorial scale (EL1) are confirmed by the results obtained with the EL3 approach. • The EL3 safety indexes are always greater than those obtained with the EL1, showing a general coherence between the two approaches. It is however worth noting that these two approaches are not alternative to each other but belong to two different levels of evaluation and therefore more conservative results were actually expected for the latter with respect to the former evaluation method. • Among the collapse mechanisms analysed within the evaluation level EL2, the most critical ones are the overturning failure modes of the individual facades. Therefore, the effectiveness of connections between orthogonal walls should always be carefully considered when assessing slender masonry towers. • The presence of surrounding buildings, here assessed by analysing two limit cases (isolated model, IM and complete model, CM), strongly affects the dynamic behaviour, and therefore the seismic performances, of the examined tower. Thus, it is essential to assess the constraining effect provided by the adjacent buildings when performing EL3 assessment of confined masonry towers. • If the soil is modelled explicitly by means of a series of elastic layer on top of each other, a more flexible FE model is obtained than the one with fixed base. Hence, it is generally crucial to gather as much information as possible on the mechanical parameters of the soil and to model it explicitly. This is an important aspect that significantly affects the nonlinear behaviour of historic towers, which must be taken into account when time-history analyses are performed, even if it is expected that the presence of lateral restraints attenuates the effect of the soil-structure interaction. • For the examined tower, the adopted distribution of elastic properties across the horizontal section of multi-leaf walls of masonry does not significantly affect the results of global pushover analyses (EL3). This legitimates the use of models having equivalent homogenized elastic stiffness in the case of lack of detailed structural surveys. • Different failure modes were predicted by the three evaluation levels EL1, EL2 and EL3. Thus, it is generally necessary to develop all the approaches to have a comprehensive understanding of the possible seismic performance of masonry towers. The paper suggests that comparing different approaches for the analysis of historic towers in conjunction with parametric analyses is mandatory in order to cover the unavoidable unknowns that always affect the construction and the analysis approaches. • Over conservative assessments were obtained with both EL1 and EL2 approaches. This is partly due to the level of knowledge of the structure. In this study, a low knowledge level (KL1) was assumed for EL1 and EL2 analyses. By contrast, an accurate knowledge level (KL3) was assumed for EL3, where detailed information on geometry, materials, and structural details were used. Accordingly, a confidence factor F C = 1.35 was assumed for EL1 and EL2 analyses, whereas F C = 1 was used within EL3.
• The relatively low safety margins computed through EL1 analyses are also due to the afore-mentioned underestimation of material strength obtained through the Italian recommendations. If the material strength considered in EL3 were used in EL1, more comparable results would be obtained. • The relatively low safety margins computed through EL1 analyses can also be attributed to the assumption of the assumption of zero tensile strength at the interfaces between different rigid blocks. Indeed, such assumption may lead to significantly conservative assessments in the case of structures with good quality masonry and extensive interfaces between the assumed blocks. This is the case for the mechanisms of overturning of the facades of the studied tower. Hence, the analyst should judge which type of mechanisms is the most appropriate for the given structural conditions.
